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ABSTRACT. The seismic design of multi-storey precast structures is at present not covered by 
specific provisions of the European seismic codes. To fill such gap, capacity design criteria 
for multi-storey precast concrete frames with hinged beams are presented. Based on the same 
approach prescribed by the codes for monolithic cast-in-place frames, a distribution of floor 
forces and a value of behaviour factor are assumed to perform a static linear analysis of the 
structure. A parametric study aimed to validate the design method is carried out by varying, 
within the range of practical interest, the main design parameters such as the number of 
storeys, the mass-over-stiffness ratios and the stiffness characteristics of the columns. The 
results of dynamic modal analyses and non linear static analyses show that the proposed 
method can safely be applied to ordinary multi-storey concrete precast frames characterized 
by structural regularity and limited flexibility. 
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1. Introduction 
 
The seismic performance of precast concrete structures has been extensively 

investigated over the last decade within two European research projects (Ecoleader 
2001-2003, Growth 2002-2006). Probabilistic numerical analyses and pseudodynamic 
experimental tests on full scale prototypes have been carried out to demonstrate that 
the seismic design of precast frames with hinged beams can be based on the criteria 
adopted for cast-in-place frames, provided that early brittle failures of the joint 
connections are avoided by a proper capacity design (Biondini and Toniolo 2009). 
In particular, the results of this investigation showed that in order to achieve a good 
seismic behaviour with high dissipation capacity, it is not necessary to orient the 
design of precast structures with hinged beams towards the emulation of cast-in-
place structures with monolithic connections. With appropriate dimensioning of 
members and connections, hinged precast structures are able to provide good 
seismic performance as monolithic cast-in-place structures. 

Specific capacity design criteria are however needed for multi-storey precast 
systems since, with respect to the cast-in-place solution, the hinged connections 
between beams and columns modify the internal stresses and, consequently, the 
ratios of dimensions among members.  At present, the seismic design of this type of 
multi-storey precast structures is not covered by the European seismic code 
(Eurocode 8, CEN-EN 1998-1). To fill such gap, capacity design criteria for multi-
storey precast concrete frames with hinged beams, such as the structures shown in 
Figure 1, are presented (Biondini et al. 2004). 

 

  
Figure 1. Precast multi-storey frame structures during erection. 
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The proposed design method is based on the same approach prescribed by the 
codes for monolithic cast-in-place frames (CEN-EN 1998-1). A linear distribution of 
floor forces, able to approximately reproduce the contribution of the first vibration 
mode, and a value of behaviour factor, properly chosen to comply with the expected 
ductility capacity of the selected collapse mechanism, are assumed to perform a 
static linear analysis of the structure. The results of this analysis are used to design 
the critical cross-sections of the columns at the storey base and, according to specific 
capacity design criteria, the remaining part of the columns and the beam-column 
connections. 

To validate the proposed method, the actual contribution of the higher vibration 
modes, as well as the actual ductility capacity of the structure, need to be verified. 
To this aim, a parametric study on a set of structural solutions covering the field of 
practical interest is carried out by varying the main design parameters such as the 
number of storeys, the mass-over-stiffness ratios and the stiffness characteristics of 
the columns (Biondini et al. 2004, 2008). For this set of structures the contributions 
of the vibration modes in terms of column bending moments and forces in the beam-
column connections are evaluated by dynamic modal analyses. Moreover, the 
displacement ductility of these structures when designed according to the proposed 
method is estimated by means of non linear static “push-over” analyses. The results 
show that, with proper safety factors able to cover the uncertainty of the design 
model, the proposed method can safely be applied to ordinary multi-storey concrete 
precast frames characterized by structural regularity and limited flexibility. 
 
 
2. Base shear and floor forces 

 
For seismic design of a frame with i=1,…,n storeys, a proper set of floor forces 

Fi, equivalent to the effects of the seismic motion, is required to perform a static 
linear analysis. With reference to the scheme shown in Figure 2, a linear variation 
with the heights zi of the floor forces Fi is assumed: 

F
Wz

WzF n

j jj

ii
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where Wi is the seismic weight of the i-th storey, and F is the total seismic force at 
the base of the structure. The total base shear F can be evaluated as follows:  

W
q
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F eg )( 1βα
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where αg is the design peak ground acceleration (g units), βe(T1) is the elastic response 
spectrum shape function computed for the first vibration period T1 of the structure, q 
is the behaviour factor accounting for the ductility and energy dissipation resources 
which attenuate the seismic effects, and W=Σi=1,nWi. A proper value of the first 
vibration period T1 and behaviour factor q are required to evaluate the base shear F. 
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Figure 2. Distribution of floor forces, bending moments, and shear forces for a 
multi-storey frame with hinged beams. 

 
 
3. Modal analysis and vibration period 
 

The evaluation of the first vibration period T1 requires a dynamic modal analysis 
of the structure. In most cases of practical interest, multi-storey precast frames are 
characterized by regular geometry with columns having the same stiffness variation 
over the storey height. For such cases, modal analysis can be efficiently developed 
by using either a general procedure referred to a reduced set of degree of freedoms, 
or a simplified procedure based on an equivalent single degree of freedom system. 

 
 
3.1. General procedure 

 
For frame systems with regular geometry and hinged beams with negligible axial 

flexibility, the unknowns of the modal dynamic analysis are the displacements di and 
rotations ϕi at the i=1,…,n storey heights zi, as shown in Figure 3. The rotation ϕn at 
the upper storey is also considered as unknown for the sake of generalization. By 
neglecting the rotational inertia of the seismic masses mi=Wi/g, the following two sets 
of n equations hold for the free vibration of the system with natural frequency ω=2π/T: 
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and where the stiffness coefficients of column j at storey i can be related to the 
cross-sectional bending stiffness kij by neglecting axial and shear flexibility: 
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Figure 3. Kinematic model for a regular multi-storey frame with hinged beams. 
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The coefficients kij can be computed with reference to the inertia moment of the 
cracked cross-section (CEN-EN 1998-1, 2004). 

The equilibrium equations can be written in matrix form as follows: 
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where A11, A22, and A12, are n×n square matrices of stiffness coefficients, M is the 
diagonal matrix of the n storey masses mi, Φ and ∆ are the n-vectors of the unknown 
rotations ϕi and displacements di, respectively. The vector Φ can be condensed to 
obtain the following n equations in terms of the vector ∆: 

0∆MB =− )( 2ω  (8) 

with: 

12
1

111222 AAAAB −−= T  (9) 
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The k =1,…,n eigenvalues ωk=2π/Ti, with i=(n−k+1), are obtained as the n-roots of 
the following equation: 

0)det( 2 =− MB ω  (10) 

The n eigenvectors representing the modal shapes can also be obtained as follows: 
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3.2. Simplified procedure 
 

The first vibration period T1 of a regular frame structure, such as the 2n-degree 
of freedom system shown in Figure 3, with n storeys, m columns, and total height h, 
can be related to the vibration period T0 of an equivalent single degree of freedom 
system having the cross-sectional bending stiffness k1j of the columns j=1,…,m at 
the first storey and the total seismic weight W concentrated at zn=h: 
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where the correlation coefficient ψ=ψ(n) depends on the distribution of the heights 
hi=(zi−zi −1), weights Wi, and stiffness kij over the storeys i=1,…,n. The coefficient 
ψ=ψ(n) is given in Table 1 under the assumption of equal storey heights hi, equal 
storey weights Wi, and columns with (a) constant stiffness at each storey, or kij=k1j, 
and (b) stiffness linearly decreasing with the storey level, or kij=k1j(n−i+1)/n.  
 
 

n 1 2 3 4 ∞ 
(a) Constant 1.00 0.74 0.66 0.62 0.49 
(b) Variable 1.00 0.78 0.71 0.67 0.57 

Table 1. Coefficient ψ=ψ(n) for frames with i=1,..n storeys and j=1,…,m columns 
with (a) constant stiffness kij=k1j, and (b) variable stiffness kij=k1j(n−i+1)/n. 
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4. Collapse mechanism  and behaviour factor 
 
For structural members in bending, such as beams and columns, the curvature 

ductility µϕ of the cross-section is measured by the ratio between the ultimate 
curvature χu and the yielding curvature χy: 

y
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χ
χ

χ
χµϕ +== 1  (15) 

where χp =χu−χy denotes the plastic curvature. For concrete cross-sections a curvature 
ductility µφ ≅7÷8 can generally be achieved if a suitable reinforcing steel is used 
(Saisi and Toniolo 1998). 

With the same criteria, the displacement ductility µδ of a column is measured by 
the ratio between the ultimate displacement δu and the yielding displacement δy: 
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The yielding displacement δy and plastic displacement δp=δu−δy can be related to the 
cross-sectional yielding curvature χy and plastic curvature χp, respectively, based on 
the type of beam-column connections. 

With reference to the scheme shown in Figure 4, for columns with hinged beams 
the following relationships hold (Biondini and Toniolo 2003): 
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where h is the column height, hp is the length of the critical zone at the column base 
where the plastic hinge develops with χ≥χy, and ϕp is the plastic hinge rotation. 
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Figure 4. Elastic and plastic deformation of concrete columns with hinged beams. 
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As shown in Figure 4, the plastic hinge length hp can be related to the ratio of 
ultimate moment Mt versus yielding moment My of the column cross-section. This 
ratio depends on the ratio of ultimate strength ft versus yielding strength fy of 
reinforcing steel, for which a value in the range 1.15 ≤ ft /fy ≤ 1.35 is recommended 
in seismic design to ensure a suitable ductility (CEN-EN 1998-1, Fardis 2008). For 
an ordinary reinforcing steel with Mt /My ≈ ft /fy ≅ 1.20, a plastic hinge length hp ≅ h/6 
is therefore obtained. In this way, the displacement ductility µδ of the column can be 
related to the curvature ductility µφ of the cross-section as follows: 

5.40.4)1(
2
1

÷≅+≅ ϕδ µµ  (19) 

The displacement ductility µ∆ of a structure is measured by the ratio between the 
ultimate displacement du and the yielding displacement dy at the top storey: 
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where dp=du−dy is the plastic displacement. As shown in Figure 5 for a frame with 
n=3 storeys, the displacement ductility µ∆ depends on the number p≤n of storeys 
involved in the collapse mechanism (Biondini et al. 2004): 

δδ µµ
δ
δ

µ ≤−+=+≅∆ )1(11
n
p

n
p

y

p  (21) 

where µ∆ =µδ  ≅ 4.0÷4.5 for p=n. 
 For relatively flexible structures with high vibration periods, as those considered 
in this study, the equal displacement criterion holds, or q=µ∆ (Pauley and Priestley 
1992). Therefore, according to this criterion, a behaviour factor q=4.0 can reliably 
be assumed for multi-storey precast frames if the activation of collapse mechanisms 
with p<n are avoided by a proper capacity design. 

 

 
 (p=1; µ∆=2.0) (p=2; µ∆=3.0) (p=3; µ∆=4.0) 

Figure 5. Collapse mechanisms for a precast frame structure with n=3 storeys. 
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5. Capacity design criteria 
 
To comply with a global collapse mechanism with p=n (Figure 5), the critical 

cross-section at the base of each column has to be designed to achieve the following 
resistant bending moment Mrd: 

∑ =
≥ n

i iird zFM
1

λ  (22) 

where λ is the percentage of the floor force Fi applied to the column in proportion to 
its stiffness. The remaining part of the column has to be consequently designed for 
horizontal floor forces Hi evaluated in terms of the resistant moment Mrd: 
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n

i ii MzH γ=∑ =1
 (23) 

where γR =γ′γ ′′ is a partial safety factor subdivided into two components, γ′ and γ′′, 
which cover, respectively, the possible over-strength of the reinforcing steel and the 
uncertainty involved in the linear distribution of the floor forces Fi, as well as in the 
linear model that has to be assumed to solve the indeterminacy in the evaluation of 
the floor forces Hi (Figure 2): 
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Based on this linear model, the following floor forces are obtained: 
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In this way, the capacity design of the column can be applied both in bending 
(Figure 2): 
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and shear (Figure 2): 
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Finally, to avoid brittle failures of the joints, the beam-column connections at the 
i-th storey have to be designed for the corresponding floor force Hi. For internal 
columns, the forces H′i and H′′i transferred to the left and right connections, 
respectively, can be evaluated in proportion to the seismic weights W′i and W′′i  of 
the two corresponding adjacent bays as follows (Figure 6): 
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Figure 6. Beam-column connections for (a) floors, and (b) roofs. 
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However, the higher vibration modes generate forces in opposite directions at the 
storey levels which give little contributions to the column moments, but may result 
in significant stresses at connections. For this reason, it is considered appropriate to 
design all beam-column connections for the maximum force at the top floor: 
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This design procedure assumes hinged connections between beams and columns. 
Since connections are not perfect hinges, bending moments can develop at the joints 
and lead to an increase of the floor forces. However, for the type of connections 
shown in Figure 6, such moments are limited by the flexural capacity of the dowels, 
that is expected to be negligible compared to the column resistant moments. The 
increase of the floor forces due to the bending moments at the beam-column joints 
can therefore reliably be covered by adopting a suitable value of the partial safety 
factor γ′′. 
 
 
6. Validation of the design method 

 
A reliable application of the proposed capacity design criteria has to be based on 

proper values of the partial safety factors γ′ and γ′′, required to cover the uncertainty 
associated to both the over-strength of reinforcing steel and the model assumed to 
evaluate the floor forces, respectively. Moreover, adequate ductility resources are 
required at both local and global level to comply with the value q=µ∆=4.0 of the 
behaviour factor. 
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6.1. Steel over-strength 
 
Based on the properties of ordinary reinforcing steel, the possible over-strength 

due to steel strain hardening can be covered by assuming γ′ =1.25 (CEN-EN 1998-
1). It is worth noting that a value γ′ =1.00 can however be safely adopted in case the 
same type of reinforcing steel is used over the column height. 

 
6.2. Floor forces 

 
For the type of structures under investigation the influence of the higher modes 

of vibration may be important and, consequently, the inaccuracy of the hypothesis of 
linear variation with height of the floor forces needs to be fully covered by the factor 
γ′′. To this aim, a validation of the proposed method is carried out by varying the 
number n of storeys, the first vibration period T1, and the type of variability over the 
height zi of the cross-sectional bending stiffness kij of the columns (Biondini et al. 
2004). Such parameters have been varied within the range of practical interest as 
follows: n={2, 3, 4}; T1={2.50, 1.50, 1.00, 0.75, 0.50 sec}; kij=k1j (constant stiffness) 
and kij=k1j(n−i+1)/n (linearly decreasing stiffness). The seismic action is evaluated 
according to the shape function βe(T1) of the elastic response spectrum type 1 for 
ground category B of Eurocode 8 (CEN-EN 1998-1, 2004). 

The results of the parametric analysis are expressed in terms of ratio between the 
values provided by a response spectrum modal analysis, which  takes the contribution 
of all vibration modes into account, and the values obtained from the proposed design 
method, which considers the first vibration mode only. Tables 2 and 3 give such ratios 
for the column bending moments Mi at the base of storey i, and the floor forces Hi at 
the beam-column connections of storey i, respectively. 

The results listed in Table 2 show that the actual bending moments at the base of 
the first storey are, in all cases studied, lower than those computed according to the 
design method. Therefore, the design method is reliable under condition that the 
integrity of the columns at the upper storeys is assured by a proper capacity design. 
With this regard, since bending moment ratios larger than one may be obtained in 
the upper storeys, a proper safety factor γ′′ >1 has to be applied. 

 
Mi  (a) Constant stiffness (b) Variable stiffness 

Storey  T1 [sec] T1 [sec] 
i  2.50 1.50 1.00 0.75 0.50 2.50 1.50 1.00 0.75 0.50 
2  1.27 1.00 0.94 0.91 0.90 1.26 0.99 0.94 0.91 0.90 
1  0.91 0.86 0.84 0.83 0.83 0.97 0.85 0.83 0.82 0.82 
3  1.77 1.13 0.99 0.91 0.88 1.71 1.12 0.98 0.91 0.91 
2  0.88 0.83 0.82 0.82 0.82 0.84 0.81 0.81 0.81 0.81 
1  0.89 0.81 0.79 0.78 0.78 0.92 0.80 0.78 0.78 0.77 
4  2.07 1.23 1.03 0.91 0.87 2.05 0.84 1.21 1.22 1.22 
3  1.56 1.23 1.17 1.13 1.12 1.41 1.09 1.17 1.17 1.17 
2  0.79 0.78 0.78 0.78 0.78 0.77 0.76 0.76 0.76 0.76 
1  0.86 0.78 0.77 0.76 0.75 0.88 0.73 0.76 0.77 0.77 

Table 2. Ratio between actual value and design value of the bending moments Mi at 
the base of storey i: (a) constant stiffness kij=k1j; (b) variable stiffness kij=k1j(n−i+1)/n. 
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Hi  (a) Constant stiffness (b) Variable stiffness 
Storey  T1 [sec] T1 [sec] 

i  2.50 1.50 1.00 0.75 0.50 2.50 1.50 1.00 0.75 0.50 
2  1.11 0.88 0.83 0.80 0.79 1.10 0.86 0.82 0.79 0.79 
1  2.54 1.24 0.85 0.53 0.38 2.71 1.32 0.89 0.58 0.39 
3  1.55 0.99 0.87 0.79 0.77 1.50 0.98 0.86 0.80 0.77 
2  2.20 1.08 0.77 0.56 0.46 2.44 1.19 0.83 0.60 0.46 
1  2.06 0.92 0.60 0.37 0.24 2.15 0.91 0.57 0.37 0.24 
4  1.81 1.08 0.90 0.80 0.76 1.80 1.07 0.90 0.81 0.76 
3  1.69 0.86 0.66 0.55 0.50 2.09 1.02 0.73 0.58 0.50 
2  2.22 1.10 0.75 0.48 0.35 2.29 1.07 0.72 0.49 0.34 
1  1.59 0.70 0.44 0.27 0.18 1.61 0.67 0.41 0.26 0.17 

Table 3. Ratio between actual value and design value of the floor forces Hi at the 
beam-column connections of storey i: (a) constant stiffness kij=k1j; (b) variable 
stiffness kij=k1j(n−i+1)/n. 
 

For structures with vibration periods T1 ≤ 2.0 sec, the results given in Table 2 
show that a value γ′′ =1.30 allows to cover the deviation of the design method in the 
estimation of the column bending moments. As shown in Table 3, this value allows 
to also cover the deviation in the estimation of the floor forces at the beam-column 
connections. Moreover, in most cases the safety margins associated to γ′′ =1.30 
seem to be adequate to include the effects of the neglected bending moments at the 
beam-column joints, as well as the uncertainty of the model used for the parametric 
analysis. Further investigations are however needed to confirm these results. 

On the contrary, for structures with T1 > 2.0 sec the effects of the higher modes 
leads to exceeding the value γ′′=1.30 for both bending moments and floor forces. 
The design method is therefore not applicable to these structures. 
 
6.3. Displacement ductility capacity 

 
A further parametric study is carried out to investigate the displacement ductility 

capacity of multi-storey precast frames designed according to the proposed method 
(Biondini et al. 2008). The same variability of the design parameters n, T1, and kij, is 
considered. The structures are designed by assuming storey weights Wi=1.2 MN, 
storey heights hi=4.0 m, design peak ground acceleration αg=0.35, and behaviour 
factor q=4.0. 

The columns are designed with the same square cross-section and by assuming 
concrete class C30 and steel class S500. The main design parameters are listed in 
Tables 4 and 5, where F′=λF is the total column base shear, Msd is the column 
bending moment at the base of the first storey, b is the size of the square cross-
section of the columns at the base of the first storey, and As is the area of 
longitudinal reinforcement. The minimum amount of reinforcement prescribed by 
the code, ρmin=As,min/b2=0.01, is adopted for all columns (CEN-EN 1998-1, 2004), 
since it is higher than the minimum amount required by design. The size b is chosen 
so as to obtain the desired value of T1, computed by assuming a stiffness k1j of the 
cracked cross-section equal to 50% of the stiffness of the uncracked cross-section. 
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 2-storey frame  3-storey frame  4-storey frame 
T1 [sec] 2.50 1.50 1.00 0.75  2.50 1.50  2.50 
F′ [kN] 34 70 105 140  50 106  67 

Msd [kNm] 224 469 699 933  470 986  806 
b [cm] 43 56 68 81  61 79  79 

As [cm2] 18.6 30.9 46.4 66.3  37.3 62.1  62.2 

Table 4. Design parameters for columns with constant stiffness kij=k1j. 

 
 2-storey frame  3-storey frame  4-storey frame 

T1 [sec] 2.50 1.50 1.00 0.75  2.50 1.50  2.50 
F′ [kN] 34 70 105 140  50 106  67 

Msd [kNm] 224 469 699 933  470 986  806 
b [cm] 44 57 70 84  63 82  82 

As [cm2] 19.6 32.6 48.9 69.9  40.1 66.8  67.2 

Table 5. Design parameters for columns with variable stiffness kij=k1j(n−i+1)/n. 
 
The size b obtained for n=2 with T1<0.75 sec, n=3 with T1<1.50 sec, and n=4 with 
T1<2.50 sec is out from the range of practical interest. These cases are therefore not 
considered in the parametric analysis. 
 Non-linear static analyses under imposed horizontal displacement at the top of 
the structures are performed by modelling the critical zone at the base of the 
columns with a fibre beam model implemented within the code Cast3m (Guedes et 
al., 1994). The concrete stress-strain law in compression is modelled by a parabolic 
curve up to the peak stress, followed by a softening straight line with slope properly 
defined to account for confinement (Mander et al., 1988). An elastic-perfectly 
plastic stress-strain law is used for the reinforcing steel. Linear elastic behaviour is 
assumed for the remaining parts of the columns.  
 The capacity curves, i.e. the total base shear force F versus the displacement d at 
the top of the structure, are shown in Figures 7 and 8. These curves allow to assess 
the displacement ductility capacity as µ∆=dm/dy. The yielding displacement dy is 
estimated based on an equivalent bilinear elastic-plastic model with equal strength 
and equal dissipated energy up to the displacement at the peak force of the actual 
capacity curve. The maximum displacement dm is associated to the point of the 
capacity curve where the total base shear force F drops to 80% of the peak value. 
 The computed values of displacement ductility µ∆ are given in Table 6. Based on 
these results, a value of the behaviour factor q=4.0 is found to be appropriate for 
structures with first vibration period T1 ≤ 2.0 sec. With this regard, it is worth noting 
that the high values of displacement ductility obtained for structures with T1 < 1.0 
sec seem to be consistent with the equal energy rule  ( 12 −= ∆µq ), instead of the 
equal displacement rule ( ∆= µq ). For structures with T1>2.0 sec, the design method 
does not allow to obtain adequate values of displacement ductility. Consequently, it 
is confirmed that the proposed method is not applicable to structures with T1>2.0 sec. 
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Figure 7. Capacity curves for frames with constant stiffness kij=k1j.

4-storey frame

3-storey frame

2-storey frame



Seismic Design of Multi-Storey Precast Structures     15 

0

50

100

150

200

250

300

350

0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7
Top displacement (m)

B
as

e 
sh

ea
r (

kN
)

T = 2.5 sec

 

0

100

200

300

400

500

0.0 0.1 0.2 0.3 0.4 0.5 0.6
Top displacement (m)

B
as

e 
sh

ea
r (

kN
)

T = 1.5 sec
T = 2.5 sec

 

0

100

200

300

400

500

600

700

0.0 0.1 0.2 0.3 0.4 0.5
Top displacement (m)

B
as

e 
sh

ea
r (

kN
)

T = 0.75 sec
T = 1.0 sec
T = 1.5 sec
T = 2.5 sec

 
Figure 8. Capacity curves for frames with variable stiffness kij=k1j(n−i+1)/n. 
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   2-storey frame 3-storey frame 4-storey frame 
  T1 (sec) T1 (sec) T1 (sec) 
  2.50 1.50 1.00 0.75 2.50 1.50 2.50 

Constant stiffness  1.9 3.8 6.2 9.1 3.0 5.4 3.9 
Variable stiffness  2.2 4.1 6.6 9.1 3.1 5.9 4.0 

Table 6. Displacement ductility capacity µ∆. 
 
 
Clearly, to generalize such results the seismic performance of this type of multi-

storey frames should be investigated by means of step-by-step non-linear dynamic 
analyses for a sufficiently large set of accelerograms. However, despite the necessity 
of further investigations, the obtained results indicate that with appropriate 
dimensioning of members and connections, hinged precast structures are able to 
provide good seismic performance as monolithic cast-in-place structures. 

7. Conclusions 
 
Based on the same criteria prescribed by the seismic codes for monolithic cast-in-place 
structures, a method for the capacity design of multi-storey precast concrete frames 
with hinged beams has been presented. The proposed method has been validated by 
means of dynamic modal analyses and non linear static analyses. The results 
demonstrated that the design method can be safely applied to regular structures with 
first vibration period T1 ≤ 2.0 sec, under condition that a suitable partial safety factor 
is adopted. It is worth noting that this safety factor may lead to an over-dimensioning 
of the less flexible structures. However, in such cases a better proportioning of the 
columns and their connections to beams can be achieved with reference to the 
distribution of stresses provided by a dynamic modal analysis. 
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